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Abstract: To explore the overall behavior response and
progressive collapse mechanism of steel frame structures under
fire, a progressive collapse test was conducted on a 1:2 scale
steel frame structure with a corner room subjected to fire.
Consequently,  the air
temperature-time, and frame displacement-time curves of the

temperature-time, ~ component
entire fire development process, as well as the progressive
collapse failure mode of steel frame structures under fire, were
obtained. A high-temperature component model of welded
flange-bolted web connections was established using the
component method, and a bilinear mathematical model for the
moment-rotation angle curves of welded flange-bolted web
connections at high temperatures was derived. On this basis, a
established for the
progressive collapse of steel frame structures under fire,
including the high-temperature component model of welded

finite element analysis model was

flange-bolted web connections. The accuracy of the finite
element analysis model was verified by comparison with the
progressive collapse test results, and the progressive collapse
mechanism of steel frame structures under fire was revealed.
The results show that under fire within the corner room of a
steel frame structure, even though the stress ratio of the corner
column is the lowest, primarily due to its lower axial
constraint than the inner and side columns, the corner column
will first lose its load-bearing capacity and withdraw from
work. This triggers the progressive collapse failure of the steel
frame structure.
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he connection performance of beam-to-column joints
T is a key factor in evaluating the overall stability and
robustness of steel frame structures. Under normal service
conditions, the beam-to-column joints mainly transfer
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bending moments and shear forces. if the
load-bearing components are damaged, the force mecha-
nism of beam-to-column joints will change to mainly
transfer tensile force due to catenary action, which sig-
nificantly impacts the redistribution of internal forces in-

However,

side the remaining structure. Moreover, due to the deg-
radation of material properties at elevated temperatures,
the rotational stiffness of beam-to-column joints will sig-
nificantly decrease as the increases'" .
Therefore, mastering the behavior of beam-to-column
joints at elevated temperatures is a key task in studying

temperature

the progressive collapse resistance of steel frame struc-
tures under fire.

The welded flange-bolted web connection has been
widely used as a steel moment connection, and many ex-
perimental and theoretical studies have been conducted on
its performance at room temperature. For instance, Shi et
al. ! conducted low cyclic loading tests on eight welded
flange-bolted web connection joints. They demonstrated
the impact of the shape and size of the weld access hole
on the failure mode and hysteretic performance of joints.

Lew et al. !

conducted progressive collapse tests on two
full-scale steel beam-column assemblies to investigate the
failure modes and rotational capacities of two different
welded flange-bolted web connection types under a col-
umn removal scenario. Wang et al. ' conducted a verti-
cal load test on the substructure of a beam-to-column wel-
ded flange-bolted web connection. They found that the
moment-rotation angle ( M-6) curves of welded flange-
bolted web connections can be divided into two stages and
represented by double lines. Ma'” proposed a new spring
model defined by the characteristic points of M-6 curves
to simulate the rotation of beam-to-column welded flange-
bolted web connections in steel frames.

With the increasing attention paid to the safety of steel
structures under fire, there is a growing number of re-
search on the fire resistance of welded flange-bolted web
connections. For instance, Wang and Dong'” conducted
an experimental study on the behavior of welded flange-
bolted web connections under fire. They found that the
welding seam is the weakness of the fire resistance of the
connections, and the buckling of the column flange at the
joint region will cause a significant joint rotation under

fire. Mao et al."”" investigated the variation law of the
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stiffness of steel moment connections at elevated tempera-
tures using a numerical simulation method. They found
that the applied moments have significant effects on the
stiffness of steel moment connections. Hu'"' proposed an
M-60 model with temperature parameters for welded
flange-bolted web connections at elevated temperatures.
Fan et al. "™ conducted fire tests on four beam-to-col-
umn welded flange-bolted web composite joints. They
proposed the formulas for calculating the flexural bearing
capacity and initial rotational stiffness of the composite
joints at elevated temperatures. Qiang et al. "'"! conducted
full-scale tests on four high-strength steel welded flange-
bolted web connections at room and elevated tempera-
tures. They compared their test results with the prediction
results of codes in China and aboard and provided design
suggestions for high-strength steel welded flange-bolted
web connections.

The component method has been widely used in the
simulation analysis of structures and components. Over
the years, it has experienced significant growth and de-
velopment. Initially, it was primarily employed for static
analysis at room temperature'>"*'. Then, its scope ex-
panded to encompass the study of rotational stiffness, sta-
bility, and load-bearing capacity of joints at high temper-
e Now it has been widely used to study dynam-
ic responses and progressive collapse of structures'” " .
This paper aims to decompose the welded flange-bolted
web connections into multiple parts based on the compo-

atures

nent method and finally provide an M- curve model suit-
able for different temperatures and connection sizes. In
this way, it is convenient for researchers and engineering
designers to use the high-temperature M-0 curve model in
the progressive collapse analysis of steel frames under
fire.

To investigate the process and mechanism of progres-
sive collapse of steel frame structures under fire, a pro-
gressive collapse test was conducted on a 1:2 scale steel
frame structure with a corner room subjected to fire.
Then, a high-temperature component model was proposed
for welded flange-bolted web connections, and its accura-
cy was verified using the existing fire tests of welded
flange-bolted web composite joints” .
high-temperature component model was applied to the
progressive collapse analysis model of steel frame struc-
tures under fire. It was proved to be accurate by compa-
ring with the progressive collapse test results. Finally, the
progressive collapse mechanism of steel frame structures
under fire was revealed.

The proposed

1 Summary of the Progressive Collapse Test of
Steel Frame under Fire

1.1 Test background

Currently, most research on the progressive collapse re-
sistance of steel frame structures under fire adopts the nu-

merical simulation method™ ™. The finite element soft-

ware, such as ABAQUS, Opensees, LS-DYNA, and
VULCAN, have been widely used to simulate the pro-
gressive collapse process of steel frame structures under
fire, analyze the causes of progressive collapse accidents,
or improve the design method to resist progressive col-
lapse'™* ™

scarce, and the research objects are all planar steel frame
34-35]

The relevant experimental research is very
structures' . Due to the lack of consideration of real
fire scenarios and the membrane effect of the floor, the
existing progressive collapse tests cannot truly reflect the
actual progressive collapse process of three-dimensional
(3D) steel frame structures under fire. Therefore, it is
necessary to carry out experimental research on the pro-
gressive collapse resistance of 3D steel frame structures
under fire. The progressive collapse test was conducted
on a 1:2 scale two-story 2 x 2 span steel frame structure
to control the cost and risk of the test and ensure the accu-
racy of the test.

1.2 Test setup

The plane size of the test frame was 6 m x 6 m, as
shown in Fig. 1. The test frame had two floors (1.8 m
for the first floor and 1. 6 m for the second floor). The
sectional sizes of the steel column, beam, and secondary
beam of the test frame were selected as HW100 mm x 100
mm x6 mm X8 mm, HMI50 mm x 100 mm x 6 mm x 9
mm, and HN150 mm x75 mm x5 mm x7 mm, respec-
tively. All steel components were made of Q235B. In the
test frame, the column and beam were connected by the
welded flange-bolted web connection (see Fig.2), while
the beam and secondary beam were connected by the
hinged connection.
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Fig.1 Layout of the test frame (unit: mm)
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Fig.2 Detailed construction of welded flange-bolted web con-
nection (unit: mm)

The test frame adopted the cast-in-place concrete
floor with a thickness of 80 mm and a concrete
strength grade of C30. The strength grade of the rein-
forcement in the slab is HPB300, with a diameter
and spacing of 8 and 150 mm, respectively. The col-
umn bases of the test frame are all open rigid column
bases.

The four rooms on the first floor of the test frame were
all wrapped with rock wool firewalls. One was stacked
with four wooden piles ignited at the beginning of the test
(regarded as Room A, the room where the fire oc-
curred) . The other three rooms each had a pan containing
diesel fuel (see Fig.3). The fire load density of Room A
was selected as 1 455 MJ/m’,
1.6 m’ of pine wood.

which means a total of
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Fig.3 Distribution of fire load (unit: mm)

In the test, the floor load was taken as 6.0 kPa to en-
sure that the stress ratio of the steel columns on the first
floor of the frame reached 0.4. Hence, 44.24 t of sand-
bags were piled on the test frame. The fire resistance time
of the fire-exposed components was controlled to 30 min
to observe the progressive collapse of the test frame.
Therefore, the steel columns and beams in Room A were
coated with a certain thickness of fire-retardant paint (0.9
mm for steel columns and 0. 6 mm for steel beams).
Many K-type thermocouples were placed in the test frame
to monitor the changes in the air and component tempera-
tures.

For a 3D steel frame structure, the direction of

progressive collapse cannot be limited to a certain plane,
meaning that the displacements of the test frame in three
spatial directions (x, y, z) all need to be recorded in real
time. Therefore, the noncontact digital image correction
measurement method was adopted to monitor the entire
progressive collapse process of the test frame under fire.
Fig. 4 shows the overall view of the test frame.

1.3 Test results

The wooden piles in Room A underwent severe com-
bustion after being ignited, and the air temperature of
Room A rose rapidly. After ignition for 23 min 50 s, the
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Fig.4 Overall view of the test frame

test frame suddenly experienced a progressive collapse
failure. The overall failure mode was the downward col-
lapse of the corner room subjected to fire (see Fig. 5).
The speed of the progressive collapse was extremely fast,
and the entire failure progress did not exceed 1 s. Howev-
er, this rapid progressive collapse process was recorded
using high-speed cameras with a frame rate of 75 FPS.
The captured images showed that the corner column in
Room A was the first to completely destroy and withdraw
from work. Almost at the same time, the surrounding
steel columns completely lost their bearing capacity, re-
sulting in the progressive collapse of the structure.

Fig.5 Failure mode of the test frame

The air temperature in the rooms on the first floor of
the test frame was monitored by the thermocouple tree
hanging in the middle of each room. Fig. 6 shows the air
temperature-time curves of Room A at different heights.
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Fig.6 Air temperature-time curves of Room A(unit: mm)

The component temperature-time curves of all steel
members in Room A (steel columns KZ1-K7Z4 and steel
beams B1-B4) were also monitored in real time, as
shown in Fig.7.
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Fig.7 Temperature-time curves of steel members in Room A.
(a) Steel columns; (b) Steel beams

Figs. 6 and 7 show that the temperature field of com-
partment fire is evenly distributed. Moreover, to simplify
the progressive collapse analysis of steel frame structures
under fire, it can be assumed that all fire-exposed steel
columns (or steam beams) in the room are subjected to
the same fire action.

The white circular targets sprayed on the surface of
steel members were tracked by six high-speed cameras.
The spatial coordinates of these circular targets can be di-
rectly obtained as a function of time by processing the im-
ages taken using high-speed cameras. Due to space limi-
tations, only the vertical displacement-time curves of
steel columns KZ1 and KZ2 are given in Fig. 8. As
shown in Fig. 8, the buckling failure of all steel columns
in the steel frame occurred almost simultaneously due to
the overall tie action provided by the beams and slabs.
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Fig.8 Vertical displacement-time curves of steel columns
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2 High-Temperature Component Model of Wel-
ded Flange-Bolted Web Connection

2.1 High-temperature component model

The basic principle of the component method is to de-
compose the connection into several basic components
that only bear tensile, compressive, and rotational de-
formation according to their stress characteristics and then
replace each basic component with a spring with the
equivalent bearing capacity and stiffness. Finally, these
springs are assembled for analysis"™.
model of welded flange-bolted web connection, the de-
formation and force of the upper and lower flanges of the

In the component

steel beam are equivalent to tensile or compressive
springs, whereas the interaction between the web of steel
beam and the connecting plate is equivalent to a rotational
spring (see Fig.9). To simplify the calculation, the shear
deformation of the panel zone is ignored in the model,
which is relatively small when the steel column has stiff-
eners at the joint region.

Column

V1 _Column

Fig. 9 Component model of welded flange-bolted web connec-
tion

Through several numerical simulation studies, Yim and
Krauthammer'””! proposed a bilinear model to represent
the M-6 curves of welded flange-bolted web connections

34,11
[ I also

at room temperature. The previous test results
indicated that using a bilinear model to represent the M-0
curves of welded flange-bolted web connections at room
and elevated temperatures is reasonable. This is because
the initial flexural stiffness of the welded flange-bolted
web connection is mainly provided by the bending mo-
ment generated by the axial deformation of the upper and
lower flanges of the steel beam, and the contribution of
the web is very small at this period. However, after the
flanges of the steel beam yield under tension and pres-
sure, the flexural stiffness provided by the steel beam
flanges rapidly decreases and becomes close to the flexur-
al stiffness provided by the web. Therefore, the nonlinear
springs K1 and K2 corresponding to the upper and lower
flanges of the steel beam at temperature 7 can be assumed
to be in the bilinear form (see Fig. 10(a)). The rotation-
al spring K3 corresponding to the interaction between the
web and connecting plate at temperature 7 can be consid-
ered linear (see Fig. 10(b)). The stiffness of K3 is much
smaller than that of K1 and K2 in the elastic stage; how-

ever, it can no longer be ignored after the steel beam
flanges enter plasticity, so simplifying the spring K3 as
linear does not cause much error'” .

F M

Fo 7777 k,
kyr

(a) (b)
Fig. 10  Springs in the high-temperature component model. (a)
KI and K2; (b) K3

4, 37]

According to previous studies '* ', the elastic stiffness

k. rof K1 and K2 at temperature 7 can be calculated by

— Ebf. Ttbfbbf ( 1)

pllco

te, T

The plastic stiffness k, , of K1 and K2 at temperature T
is simply considered to have a proportional relationship
with the elastic stiffness &, ,, and it can be calculated by

’
_ Ey o

klp, T E

kle. T ( 2)

bf, T

where E. . . is the elastic modulus of steel materials at the

bf, T
steel beam flange and temperature T; ¢, and b, are the
thickness and width of the steel beam flange, respective-
ly; I, is the length of the connecting plate; p, is an ad-
justment coefficient about effective length taken as
1.5""; E| ,is the tangent modulus of steel materials at
the steel beam flange and temperature 7, and Ey ,/E,, , is
usually taken as 0.01.

Assuming that the connecting plate undergoes uniform
bending deformation, the rotational stiffness k, , of K3

can be calculated by

Ew.Tlco
b= (3)
2%co
twhio
Ico = 12 (4)

where E , is the elastic modulus of steel materials at the
web of steel beam and temperature 7; ¢ is the thickness
of the web of steel beam; 4 is the height of the connect-
ing plate; I, is the cross-sectional moment of inertia of
the connecting plate; p, is a coefficient related to joint
structure, usually taken as 2. 0.

Fig. 11 shows the bilinear model for the M-6 curve of
welded flange-bolted web connection at temperature 7,
consisting of elastic deformation and plastic deformation
stages. The gradient of the elastic deformation stage is
donated by the elastic flexural stiffness K, ;, whereas that
of the plastic deformation stage is donated by the plastic
flexural stiffness K ,. The bending moment correspond-
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ing to the turning point is donated by the yield bending
moment of connection M, and the rotation angle at this
time is donated by the yield rotation angle of connection

goy,T'

0
Fig.11  Bilinear model for the M-@ curve of welded flange-

bolted web connection

In the elastic deformation stage, it is assumed that the
component model has a rotation angle of ¢, , at tempera-
ture 7, as shown in Fig. 12. According to the displace-
ment coordination and equilibrium equations, the follow-
ing can be obtained:

h
Me,T=(FKl,T+FK2,T)7+MK3,T (5)

h
FKl,T=FK2‘T=kLe,T7§De,T (6)
MIG,T:kw,T(Pch (7)
M =K ¢.r (8)

2

K =h7k +kW_T 9)

e T 2 te, T

where % is the height of the steel beam.

Fig.12 Calculation diagram of internal forces of component
model in the elastic deformation stage

Similarly, when the connection enters the plastic de-
formation stage and undergoes a plastic rotation angle of
@, 7 at temperature T, the following can be obtained:

h
MP‘T=(FK1,T+FK2,T)7+MK3,T (10)
h
FKI,T=FK2.T=Fy,T+kLp.T7¢p,T (11)
MK3,T:kw,T(§Dy,T+¢’p,7) (12)
Mp,T:Kp.T¢p,T+My,T (13)

M, =F, h+k, .0, . (14)
h2
Kp,szklp,T-}_kw,T (15)

At the turning point of the M-6 curve at temperature 7,
through mechanical analysis, the following can be ob-
tained:

h
Fy,T :fy, Ttbfbbf = kle, T?qpy, T ( 16)
o :2fy,Ttbfbbf :zplfy,rlco (17)
wr ke h E h
2K, of, +tb
My,T =R 1Py r = ‘Izl y'TThbf = (18)

where f, , is the yield strength of steel materials at temper-
ature 7.

2.2 Validation of component model

Based on the previous fire tests on three welded flange-
bolted web composite joints""™'", the traditional finite ele-
ment software ABAQUS™ was used to establish the
member system models of beam-column substructures
with the same geometric dimensions ( see Fig. 13). After
setting the mechanical performance parameters of each
joint component through the spring element, the vertical
displacement-time curve of each specimen obtained from
the beam-column substructure model is compared with the
test results (see Fig. 14). Fig. 14 shows that the finite el-
ement results for the deflection rate of beam end are sig-
nificantly greater than the test results, except for speci-
men CJ-1, which was unable to maintain a stable load at
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Fig.14 Comparison of test results and model results
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the end of the beam during the failure stage due to prob-
lems with the loading equipment. The finite element re-
sults for the vertical displacement-time curves of speci-
mens CJ-2 and CJ-3 are consistent with the test results.
The proposed high-temperature component model can ac-
curately predict the stress state and mechanical properties
of welded flange-bolted web connections in steel frame
structures under fire.

3 Progressive Collapse Analysis Model of Steel
Frames under Fire

3.1 Material constitutive models

In the progressive collapse analysis model, the consti-
tutive model of steel materials adopted the stress-strain

model of carbon steel at elevated temperatures provided by
EC3"™'. Three tensile coupons were tested at room temper-
ature, with a yield strength and elastic modulus of steel
materials of 261. 7 MPa and 199. 725 GPa, respectively.
The Poisson’s ratio of steel materials was set to 0.30. The
reduction coefficients of yield strength and elastic modulus
of steel at high temperatures also adopted the high-temper-
ature tensile test results, as presented in Table 1.

The temperature changes inside the concrete slab were
monitored using pre-embedded thermocouples. The tem-
perature monitoring results show that due to a large
amount of water in the concrete slab, the temperatures in-
side the slab did not significantly increase during the pro-
gressive collapse process of the test frame and remained

Table 1 Reduction coefficients of yield strength and elastic modulus of steel materials at high temperatures

Temperature/ C 20 100 200 300 400 500 600 700 800
Reduction coefficient of yield strength 1.000 0.993 0.947 0.938 0.876 0.642 0.413 0.175 0.096
Reduction coefficient of elastic modulus 1.000 0.983 0.952 0.826 0.701 0.629 0.365 0.102 0.087

stable after reaching 100 ‘C. Therefore, the internal tem-
perature of the concrete slab remains at the ambient tem-
perature, and the reduction of material properties for con-
crete and steel bars at elevated temperatures was not con-
sidered in the finite element analysis (FEA) model. The
concrete damaged plasticity (CDP) model was used for
the concrete material in the test frame. The cube com-
pressive strength of C30 concrete obtained from the cube
compressive tests was 30. 79 MPa. The parameters of the
CDP model are presented in Table 2. The constitutive
model for steel bars adopted a bilinear model. The yield
and ultimate strengths of the steel bars obtained through
the tensile tests were 464. 0 and 639.2 MPa, respective-

ly.

Table 2 Parameters of the CDP model

Dilation . Viscosity
Eccentricity Jvo/feo K
angle/(°) parameter
30 0.1 1.16 0.6667  5x10°*

3.2 Geometric model and mesh generation

The geometric model was established according to the
accurate dimensions of the test frame. It comprised of
components, such as concrete slabs, steel columns, steel
beams, secondary beams, and ground, as shown in Fig.
15. In the FEA model, the concrete slabs were simulated
using the shell element S4R, and the steel bars inside the
slabs were set using the Rebar layer method. The steel
columns, steel beams, and secondary beams were simula-
ted using the beam element B31. The ground was set as
the analytical rigid body. The unstable failures of the
steel columns subjected to fire are the main factors cau-
sing the progressive collapse of the structure. Therefore,
the grid size of the steel columns was relatively dense and

set to 50 mm. The grid sizes of the steel beams, seconda-
ry beams, and concrete slabs were set to 75 mm. The
ground was only used to set the contact surface with the
frame, so its grid size was relatively sparse and set to 150
mm. The initial imperfection of all steel columns is con-
sidered to be 1/1 000 in the model.

et

Fig.15 Geometric model and mesh grid

3.3 Interactions

The M-0 curves of the beam-to-column welded
flange-bolted web connection of the test frame under
different temperatures can be obtained using the pro-
posed high-temperature component model ( see Fig.
16). To accurately reflect the interaction between steel
columns and beams in steel frame structures, the con-
nector element is used to simulate the changes in the
connection performance of the beam-to-column welded
flange-bolted web connection of the test frame under
different temperatures, which is represented by the M-6
curves. The connector element is a multi-functional
connection element. Compared to the spring element,
the connector element has more powerful functions,
which can achieve any combination of three translation-
al and three rotational degrees of freedom between two
nodes and simulate all common connection forms in en-
gineering practice.
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Fig.16 M-0 curves of beam-to-column connection

In the test frame, the stud shear connectors were set
between the concrete slab and steel beams. The connec-
tion between the concrete slab and steel beams was as-
sumed to be a complete shear connection, i. e., there
was no relative slip between the two. In the FEA model,
evenly spaced MPC-Beam elements were used to bind the
concrete slab and steel beams at all degrees of freedom,

as shown in Fig. 17.

S4R shell element

B31 beam element /
Fig.17 MPC-beam element

3.4 Boundary conditions and loading method

The steel column base in the test frame is in the form
of an exposed rigid joint. Therefore, the bottom ends of
all steel columns in the FEA model are simplified as fixed
supports. The loading procedure of the FEA model in-
cludes the following three aspects, corresponding to the
three steps of the model:

1) Gravity load. Take the acceleration due to gravity as
2=9.8 m/s’.

2) Floor load. Apply a surface load of ¢ = 6.0 kPa
perpendicular to the concrete floor.

3) Temperature load. Input the temperature-time
curves of all components obtained from the progressive
collapse test into the corresponding components in the
FEA model through the predefined field method.

4 Numerical Simulation Results

4.1 Failure mode

Fig. 18 shows the failure mode of the test frame ob-
tained from the FEA results. By comparing with Fig. 5,
the following observations can be made:

1) In the FEA results, the corner column also suffers
the smallest axial constraint. It is the first to experience
unstable failure and completely lose its load-bearing ca-

pacity, ultimately leading to the progressive collapse of
the structure.

2) Regardless of the FEA or test results, no significant
bending deformation occurs in the other steel columns,
except for the extreme bending deformation of the four
fire-exposed steel columns in the test frame. However,
large plastic rotational deformation occurs at the end of
steel columns.

3) Moreover, the test frame experienced a certain
degree of torsion during the progressive collapse
process. Thus, the FEA results of the failure mode of
the test frame under fire are consistent with the test re-
sults.

Fig. 18 Failure mode of FEA results

4.2 Displacement-time curves

The displacement-time curves obtained from the FEA
results were compared with the test results, as shown in
Fig.19. It can be seen that the displacement-time curves
of both results are consistent. The time of progressive
collapse of the structure obtained from the FEA results is
very close to the test results. The rebalancing points of
the structure in the FEA results are obviously lower than
those of the test results. This is mainly because the beam
and column components are simplified into line elements
in the FEA model, leading to a deviation from the actual
deformation observed in the tests.
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Fig.19 Comparison of displacement-time curves between FEA
and test results

The comparison of failure modes and displacement-
time curves between the FEA and test results show that
the proposed high-temperature component model of wel-
ded flange-bolted web connection can be well applied in
the progressive collapse analysis of steel frame structures
under fire.
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4.3 Axial force-time curves

To further explore the mechanism of the progressive
collapse of steel frame structures under fire, the axial
force-time curves of the four fire-exposed steel columns
(KZ1-KZ4) in the test frame were obtained using the
FEA model (see Fig. 20).
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Fig.20 Axial forces of steel columns subjected to fire

As shown in Fig. 20, the progressive collapse mecha-
nism of the test frame under fire is as follows:

1) The steel columns KZ1-KZ4 expanded under the ac-
tion of temperature. Due to the maximum axial con-
straints from the concrete slab and steel beams, the inter-
nal force of inner column KZ3 increased most significant-
ly. The bearing capacity of KZ3 continuously declined as
the temperature increased. After reaching its ultimate
bearing capacity, KZ3 buckled but did not completely
withdraw from work, and then its axial force began to de-
cline slowly.

2) The edge columns KZ2 and KZ4 had smaller axial
constraints, so their axial forces increased slowly under
fire. After reaching their ultimate bearing capacities, KZ2
and KZ4 also buckled without completely withdrawing
from work and had a slight decrease in the axial forces.

3) Because the corner column KZI1 was subjected to
the weakest constraints, the axial force of KZ1 gradually
decreased in the early stage of the fire with the continuous
increase in the axial forces of KZ2-KZ74. However, as the
axial force of KZ3 decreased, the axial force of KZ1 in-
creased gradually due to the redistribution of internal
forces.

4) When the axial forces of KZ2 and KZ4 decreased,
the axial force of KZI increased rapidly and reached its
critical bearing capacity, then KZ1 withdrew from work
due to unstable failure.

5) Due to the structural tie action, the other three fire-
exposed steel columns also completely lost their bearing
capacity almost simultaneously, leading to the progressive
collapse failure of the steel frame structure.

5 Conclusions

1) The temperature field of compartment fire is evenly
distributed. To simplify the progressive collapse analysis

of steel frame structures under fire, the temperature rise
curve of all steel columns (or steel beams) under com-
partment fire is assumed to be the same if their fireproof
coating thickness is consistent.

2) The proposed high-temperature component model
can accurately predict the behavior and response of wel-
ded flange-bolted web connections at high temperatures.
The proposed model can also be applied to the progressive
collapse analysis of steel frame structures under fire.

3) Under fire within the corner room of a steel frame
structure, even though the stress ratio of the corner col-
umn is the lowest, the corner column will first lose its
load-bearing capacity and withdraw from work because its
axial constraint is much smaller than that of the inner and
side columns. This triggers the progressive collapse fail-
ure of the steel frame structure.
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